Maintenance of bridge deck joints is a costly problem. Debris accumulation in the joints
M
any highway bridges are designed as multiple simplespan composite structures that utilize either steel or prestressed concrete girders and a cast-in-place concrete deck spanning from one pier (or bent) to another. At each end of the simple-span deck, a joint is provided for deck movement due to temperature, shrinkage, and creep effects.
Bridge deck joints are a persistent and costly maintenance problem. Water leaking through the joints is a major cause for the deterioration of bridge girder bearings and supporting structures. Debris accumulation in the joints restrains deck expansion and causes damage to the bridge. Joints and bearings are expensive to install and maintain. Therefore, the cost of construction and maintenance for a bridge can be greatly reduced if the number of deck joints in multi-span bridges can be minimized.
It should be noted that when the deck joints are removed and replaced by a jointless deck, fine cracks can be expected to develop in the jointless deck and in many cases water may still leak through the fine cracks . However, the situation is preferable to that of jointed decks.
During the last several years, bridge engineers have designed different types of jointless bridge decks. Integral bridges are jointless and designed as single-or multiple-span continuous bridges with capped pile-stub type abutments . has discussed the attributes and limitations of integral bridges. The use of prestressed concrete pile s in integra l abutment bridges has been discussed by Kamel et al.' Jointless bridge decks with continuous girders are commonly used in many states. Wasserman 5 and Loveall 6 have described their extensive experience with such bridges in Tennessee. Their experience included both bridge rehabilitation and new construction. A comprehensive study of jointless decks with continuous girders was conducted by Oesterle et aU In their study, the precast, prestressed girders were made continuous to resist live load by the use of continuity steel and end diaphragms at the bridge piers. Their design recommendations have been used by many state highway departments; however, the required deck reinforcement tends to be excessive. In actual practice, most bridge engineers have used a smaller amount of reinforcing steel based on their own judgment and experience. In addition, the end diaphragm is a difficult construction detail to execute in the field.
Bridge deck joints can also be eliminated by making the deck continuous while keeping the girders as simplespans . The section of the deck connecting the two adjacent simple-span girders is called the link slab. 8 Jointless bridge decks supported by simple-span girders have been used both in the United States and abroad. 9 • 11
Two such examples are shown in Fig.  1 . It is noted that end diaphragms separated by two layers of smooth roofing paper are used by the Florida DOT but no diaphragms are used by the Texas DOT. By eliminating the end diaphragms, this construction detail is greatly simplified.
In 1981, Zuk
12 studied the concept of jointless bridge decks built on multiple simply-supported girders. He analyzed the effects of expansion and contraction of the jointless deck and considered the interactive forces between the girders and the deck. Although the concept seemed promising, it was not used in any actual applications.
In the late 1980s, Gastal and Zia temperature effects and various loading conditions. For Jack of experimental data, the computer solutions were validated by comparisons with the results of several different tests of simplysupported beams (without a jointless bridge deck) that were reported in the literature.
El-SaftyB modified Gastal's finite element program 14 by incorporating an optional analysis for partial debonding of the deck from the supporting beams. He also introduced the assumption of constant strain through the depth of the link slab, whereas Gastal assumed a linearly varying strain through the depth of the link slab.
Richardson 15 also studied theremoval of expansion joints from bridges using continuous and partially debonded decks and developed a simplified design procedure. Computer programs were developed to predict the crack width and spacing in the deck and to calculate the vertical deflection of the structure.
These analytical studies notwithstanding, no experimental validation of the concepts of analysis and design for jointless bridge decks supported by simple-span girders can be found in the literature. This paper presents the results of a test program to investigate the behavior of the jointless bridge deck, and proposes a simple design method for the link slab. 
TEST PROGRAM
The test program included two large test specimens of composite construction, one being a continuous reinforced concrete deck slab cast on two simple-span steel beams, and the other being a similar slab cast on two simplespan precast reinforced concrete beams. Fig. 2 shows the details of the two test specimens. The material and geometrical properties of both specimens are given in Table 1 . Fig . 3 shows a general view of the test setup for the concrete bridge under the ultimate load test. Detailed descriptions of instrumentation can be found in Refs. 16 and 17. It should be noted that even though this test program used steel and precast reinforced concrete beams , the concept being evaluated should be directly applicable to bridge deck rehabilitation with existing precast, prestressed concrete girders. The concept is also applicable to new bridge construction using precast, prestressed concrete girders if the effects of creep and shrinkage are adequately accounted for.
Steel Bridge
The first specimen represented a steel bridge with a jointless composite concrete deck. Two simply-supported W 12x26 steel beams, each 20 .5 ft (6.25 m) long, were aligned with a 2 in. (50.8 mm) gap between the adjacent ends of the two beams. These two steel beams were then joined with a continuous concrete deck reinforced with three #6 epoxy coated longitudinal bars, thus creating a 41 ft 2 in . (12 .55 m) long two-span structure with a jointless deck supported by two simple-span beams (see Fig. 2 ). A row of 0.75 in. (19 mm) shear connectors spaced at 17 in. (432 mm) were welded to the top of the steel beams to develop composite action with the reinforced concrete deck, except in the deck debonded zone as described below.
The concrete deck was 2 ft (610 mm) wide, 4 in. (102 mm) thick, and 41 ft 2 in. (12.55 m) long. At the two adjacent ends of the steel beams, the concrete deck was debonded from each steel beam for a distance of 12 in. (305 mm), which was 5 percent of the span of each beam. The 5 percent debonding length was based on the results of theoretical studies that showed that the load-deflection behavior of the structure would not be affected by a debonding length of up to 5 percent of the span length . 8 The purpose of debonding is to reduce the stiffness of the link slab so that the stress developed in the link slab can be minimized. The continuity of the deck reinforcement in the debonding zone was developed by a lap splice 17 in. ( 432 mm) long to simulate the situation where a damaged joint of a bridge deck would be removed and replaced by a jointless deck. The computed moment capacity of the composite section was 247 ft-kips (335 kN-m) , based on the actual material properties given in Table 1 .
Concrete Bridge
The second specimen represented a concrete bridge with a jointless deck. A deck of the same size as that of the first specimen was cast on the precast beams when the concrete of the beams had gained enough strength.
As before, the jointless deck was also debonded from each beam for a distance of 12 in. (305 mm) at the center of the specimen. Debonding was achieved by omitting the stirrups and by placing two layers of plastic sheet between the beam and the deck. The longitudinal reinforcement in the deck consisted of three #4 bars which, in turn , were lap spliced with three #6 epoxy coated bars at the center of the specimen. The computed moment capacity of the composite section was 185ft-kips (251 kN-m) , based on the actual material properties given m Table l .
TEST PROCEDURE
The test procedure used for both specimens was similar. The steel bridge was tested with four different support configurations: HRRH, RHRH, RRRR and RHHR, where H stands for hinge and R stands for roller. In each configuration , the first and fourth letters represent the two exterior supports. The second and third letters represent the two interior supports. A hinge was provided by using a 1. a V -groove. A roller was provided by using the same size pin and plates but without V -grooves.
The concrete bridge was tested with the same support conditions, except for the RRRR configuration, which is an unlikely support condition in the field . The goal in testing different support conditions was to observe if there were any differences in the behavior of the jointless deck (i.e., link slab) under different support conditions, as previously predicted by El-Safty's computer model. 8 In all cases, tests were carried out to no more than 40 percent of the estimated ultimate load capacity of each test specimen to observe the behavior in the elastic range. The load P was applied on each span in increments . For each load increment, data for the steel and concrete strains, loads, crack growth and deflections were collected. The final ultimate load test was performed with the support configuration of RHHR and a complete set of data on strains, loads, crack widths, and deflections was collected.
TEST RESULTS
A discussion of the test results will be given first for the steel bridge and then for the concrete bridge.
Steel Bridge
The steel bridge was tested with four different support configurations , namely, HRRH, RHRH, RRRR , and RHHR. Initially, the load was applied up to 17.4 kips (77 .4 kN) on each span to observe the behavior in the elastic range. Within this elastic range, the load-deflection behavior was comparable for all the four test cases, as shown by the measured load-deflection relationships in Table 2 . In addition , the load-deflection behavior was almost identical for both spans of the test specimen as required by symmetry.
It is noted that the measured slopes of the load-deflection curves are comparable to the theoretical value. The theoretical value is obtained by using the average of the moment of inertia of a fully composite section and the moment of inertia of the steel beam Table 2 . Slope of load-deflection curve (kips/in.). alone. This approach is justified to account for the effect of slip between the deck and the steel beam, except at the locations of the studs. Therefore, the stiffness of the composite beam is less than that of a fully composite section due to the incomplete interaction between the deck and the steel beam. 18 The measured deflections also compared closely with the predicted deflections, using El-Safty' s structural analysis program, 8 by neglecting the link slab and treating the bridge as two simply-supported spans. It indicates that the behavior of the steel bridge with a jointless deck was similar to a simply-supported bridge.
The strains in the two steel beams measured at 13 ft (4.01 m) from the exterior supports were similar in all four test cases. Both spans of the bridge had almost the same strain variations under the test load. These measurements indicated tension in the bottom flange and a small amount of compression in the top flange of the steel beam. The strain variation along the depth of the steel section was virtually linear. Under the applied load of 17.4 kips (77 .4 kN), the tensile stress in the bottom flange was 17.6 ksi (121.4 MPa), which was only one-third of the yield strength of the steel.
The tensile strains developed in the #6 epoxy coated bars in the link slab were again similar for all four of the test cases. Under the first increment of loading, a fine crack was developed that passed through the center of the link slab where the strain gauges on the reinforcement were located. At the load level of 17.4 kips (77 .4 kN), the tensile stress in the link slab reinforcement was about 30 percent of its yield strength.
The five strains measured by the Demec gauges on the top surface of the link slab were comparable in magnitude at each load level. The strains measured by the Demec gauges on the side faces of the link slab showed that the bottom portion of the deck was in compression. It was also observed that the crack at the center of the link slab did not extend to the bottom face of the slab. Thus, the link slab was in bending and behaved like a beam rather than a tension member.
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For the ultimate load test, the loaddeflection curve was linear up to the load level of 30 kips (133.4 kN) when the steel beams began to yield. When the load reached 42.9 kips (190.8 kN), the deflectometers were removed because the beam deflection was about to exceed the range of the deflectometer. The maximum load capacity was reached at 45 kips (200.2 kN).
In the ultimate load test, the stress in the bottom flange of the steel beam reached the yield strength of 52 ksi (358.5 MPa) under an applied load of 30 kips (133.4 kN). When the load was increased to 42.9 kips (190.8 kN), the entire bottom flange and roughly twothirds of the web of the steel beam exceeded the yielding strain of the steel beam, which was 1705 micro-strains.
Failure was initiated by yielding of the steel beam at a load level of 30 kips (133.4 kN), followed by yielding of the reinforcing bars in tension in the link slab at a load of 39.8 kips (177 kN). The link slab cracked at five different locations. When the load reached 45 kips (200.2 kN), crushing of concrete was observed at the bottom portion of the link slab, indicating final failure of the link slab.
The crack widths were measured on the top surface of the link slab during the ultimate load test. A total of five cracks were observed. Two of the cracks were developed in the previous tests for elastic behavior and the remaining three cracks were developed during the ultimate load test.
The crack at the center of the link slab had the largest crack width. Along this crack, its width was measured at five points 4 in. 
Concrete Bridge
The concrete bridge was tested for three different support configurations:
HRRH, RHRH and RHHR. In each case, the load was applied up to 16 kips (71.2 kN) and the specimen remained in the elastic range. Within this range, the load-deflection behavior was practically the same for the three test cases, as shown by the slopes of the load-deflection relationships given in Table 2 . In addition, the load-deflection behavior was almost identical for both spans of the test specimen, as required by symmetry.
As in the case of the steel bridge, the behavior of the concrete bridge with a jointless deck was similar to a simply-supported bridge rather than a partially continuous bridge. Furthermore, the stiffness of the concrete bridge was almost the same as that of the steel bridge (see Table 2 ).
The strains in the reinforcing bars were measured at 14ft (4.27 m) from the exterior supports for all four bars in the right-hand span and for only one bar in the left-hand span. These measured strains were similar in all three tests for loads below 40 percent of the ultimate load. At a load of 16 kips (71.2 kN), the tensile stresses in the bars at the top and bottom layers were 16.8 and 20.8 ksi (116 and 143 MPa), respectively.
The tensile strains developed in the #6 epoxy coated bars in the link slab were again similar for the three test cases. Throughout the tests, bending of the link slab was observed just as that which occurred in the steel bridge. Two visible cracks developed at the center of the link slab. At the load of 16 kips (71.2 kN), the tensile stress developed in the link slab reinforcement was 18.6 ksi (128.2 MPa).
In the ultimate load test, measured deflections were small for loads up to 33.8 kips (150.3 kN) . When the load reached 33.8 kips (150.3 kN), yielding of the four #8 bars in each of the concrete beams occurred. At a load level of 36 kips (160.1 kN), major shear cracks developed in both spans. With a load of 37.5 kips (166.8 kN), thereinforcement in the link slab reached its yield strength.
When the load reached 38.7 kips ( 172.1 kN), the deflectometers were removed from below the beams because of excessive deformations. The maximum load carrying capacity was reached at 43 kips (191.3 kN) when the right-hand span failed first with the crushing of the concrete deck in the compression zone near the load point. At the same time, the bottom portion of the link slab also failed due to concrete crushing.
The crack widths were measured on the top surface of the link slab in all test cases, including the elastic and ultimate load tests. The measurements were similar in all cases. Two cracks were observed during the tests. At 37 percent of the ultimate load, the average width of the two cracks was 0.010 in. 
ANALYTICAL STUDIES
This section shows how the service load was calculated, presents the simplified method of analysis , and outlines the structural computer program for solving the link slab problem in both a steel bridge and a concrete bridge.
Calculation of Service Load
The service load for each test specimen is determined according to the AASHTO Specifications.'• The required moment capacity Mu of a girder is related to its dead load moment Md and live load moment M 1 plus impact through the load factors:
The design strength of a girder is equal to its nominal moment capacity Mn multiplied by the capacity reduction factor ¢, and the design strength must be equal to or larger than the required moment capacity. From a review of three typical NCDOT bridge girders, it was found that the ratio of dead load moment to live load moment plus impact is roughly 0.53. Area of tension reinforcement:
(1)
From moment equilibrium:
The depth of compression zone, c, can be determined from:
where n is the modular ratio of steel to concrete.
From Eq. (4), c will be:
The moment of inertia of the cracked section can be expressed as:
The cracking moment will be:
where fr is the flexural tensile strength of the concrete. The ratio of Mer to Ma will be:
The stress in reinforcement will be: Therefore:
Because the nominal moment capacities of the steel and concrete bridges are 247 and 185 ft-kips (335 and 251 kN-m), respectively, the service live load moment plus impact would be 77.7 ft-kips (104.8 kN-m) for the steel bridge and 58.2 ft-kips (78.8 kN-m) for the concrete bridge.
If the two test specimens were treated as simply-supported members by neglecting the effect of the link slab, the concentrated load required to produce the above service moments at the critical section (i.e., load point) would be 19.1 kips (84.9 kN) (64 percent of the elastic limit) for the steel bridge and 14.3 kips (63.6 kN) (42 percent of elastic limit) for the concrete bridge, respectively. These concentrated loads indicate that under service moment condition, the beams would behave well within their elastic ranges , and the loads also compare reasonably well with the test loads of 17.4 kips (77 .4 kN) for the steel bridge and 16 kips (71.2 kN) for the concrete bridge, respectively , to observe their elastic behavior.
Simplified Method of Analysis
Because the stiffness of the link slab is much smaller than the stiffness of the girders, the link slab introduces a negligible amount of continuity to the structure. Therefore, each span of the bridge can be treated as a simplysupported girder and its deflection can be calculated by neglecting the effect of the link slab. Under live load, the end rotations of two adjacent girders will cause bending of the link slab. Therefore, the link slab can be analyzed as a beam subjected to the same end rotations as the adjacent girders. These imposed end rotations induce a moment in the link slab.
To determine this induced moment, the section properties (area and moment of inertia) of the link slab must be obtained first. During the tests, it was observed that most cracks developed in the center portion of the link slab and only a few small cracks developed in the debonded portions of the link slab.
To account for the stiffness variation, the section properties of the center portion of the link slab are calculated based on a cracked section , and the section properties of the two outer debonded portions of the link slab are obtained using the averages of the gross and cracked section properties. The equations developed for computing the moment of inertia of a cracked section and the steel stress in the link slab are summarized in Fig. 4 .
The crack width at the surface of the central portion of the link slab can be estimated using the crack criteria given in the AASHTO Specifica- A structural analysis program JBDL (Jointless Bridge Deck Link) was developed by the first author" using the conventional beam element. Each element has two end nodes , each with three degrees of freedom (in horizontal, vertical and rotational directions) . In the computer model, the bridge is divided into several segments and each segment is represented by an element. The section properties of each element are defined with respect to its own neutral axis.
During the analysis, the computer program checks for cracking of the link slab element. If the program detects cracking of the link slab, the program repeats the analysis with the new moment of inertia and area for the cracked section of the link slab and estimates the surface crack width of the link slab using the crack criteria specified in the AASHTO Specifications. 19 The program can analyze the effects of applied loads, creep, shrinkage and temperature differentials. More detailed information on the program can be found in Ref. 17 .
Steel Bridge -Each span of the steel bridge was analyzed first as a simply-supported composite girder by a finite element program, JBDS, developed by El-Safty' to investigate the behavior of the specimen under increasing load. For loads up to 40 percent of the ultimate load, the analytical results indicated that the specimen behaved el asticall y and no yie lding of the steel beams was predicted.
For the HRRH case, the measured strains at the bottom of the section located at 13 ft (4.01 m) from the outer reaction of each span were predicted with reasonable accuracy by the JBDS progra m, 8 as shown in Table 3 . The predicted o uter and inne r reacti o ns also compared closely with the measured data.
Fo r other test cases wi th support config urati o ns RHHR , RRRR a nd RHRH , si milar respo nses to the appli ed loads were obtained. It is concluded that the program JBDS is reliable fo r analyzing the steel bridge as a s imply-supported stru c ture because the effect of the sti ffness of the link slab is negligible.
The program JBDL was then used to analyze th e stresses and surface crack widths in the link slab. As observed in the test of the specimen, the program predicted tension at the top surface and compression at the bottom surface of the link slab. The predicted reinforcing bar stresses compared reasonably well with the measured data as shown in Table 4 . The ratio of the predicted to the measured reinfo rcing bar stress ranges fro m 0.97 to 1. 16. The ratio of the predicted crack width to the measured crack width lies between 1.06 and 1.27. The results of simplified method are more conservati ve tha n the test data as s how n in Table 4 .
Concrete Br idge -The same type of analysis as for the steel bridge was also applied to the concrete bridge. By using the JBDS program, each span of the concrete bridge was analyzed as a simply-supp o rted stru c ture. With a load of 40 percent of the ultimate load, the results of analyses indicated that cracking initiated in the concrete beam. The program then calculated the effecti ve areas and mo ments of inertia of the cracked ele ments and co ntinued with the analysis.
For the HRRH case, the measured strains in the lower leve l re in fo rcement of the eas t concrete beam at a section 14 ft (4.27 m) from the outer reac ti o n were predi cted reaso nabl y we ll by th e progra m , as sh ow n in Table 3 . It is noted that the exterior a nd inte ri or reaction s we re closely predicted by the program.
The stresses in the link slab were then predi cted by analyzing the struc- ture using the JBDL program. The program predicted tension at the top surface and compression at the bottom surface of the link slab as observed in the tests . The reinforcing bar stresses as predicted by JBDL compared reasonably well with the experimental data presented in Table 4 . The rati o of the predicted to th e measured reinforcing bar stress ranges between 1.35 and 1.69. The predicted crack widths on the top surface of the link slab are larger than the measured values. The ratio of the predicted to the measured crack width ranges between 1. 10 and 1.45. Again, the simplified method is shown to be more conservative.
PROPOSED DESIGN METHOD
Currently, there is no formal design procedure for j ointless bridge decks with debonded link slabs. Based on the results of available analytical studies and the tes t program presented herein, a simple design method can be developed as fo llows:
1. Eac h spa n of a bridge with a jointless bridge deck may be designed independently as a simply-supported span using standard design procedures without considering the effect of the link slab because the stiffness of the link slab is much smaller when compared to that of the composite girders.
2. Provide debonding of 5 percent of each girder span for the link slab to further reduce its stiffness. El-Safty's studies 8 indicated that the load-deflection behavior of jointless bridge decks supported by simple-span girders is not affected by debonding up to 5 percent of the span length.
3. Determine the maximum end rota ti o ns of th e girders as simpl ysupported under service load and impose the end rotations to the ends of the link slab. Determine the moment Ma in the link slab due to the imposed end rotations, using the gross section property of the link slab (which is conservative because the link slab will develop small cracks causing a reduction in its stiffness). Design the reinforcement for the link slab using a conservative working stress such as 40 perce nt of th e yie ld stre ngth of the reinforcing bar.
76 Table 5 . Note: I ksi = 6.895 MPa.
Tab le 6. Prelim inary des ign tab le for link slab w ith compress ive strength r; = 3000 psi ; mod ulu s of flexure f, = 400 ps i; modular ratio n= 9;
rat io of reinforce ment depth to link slab thickness r= 0.6. The term fs (steel stress in reinforcing bars) can be obtained from the preliminary Design Tables 5 through 10 , which are based on the equations summarized in Fig. 4 .
To illustrate the above design procedure, three design examples are given in the Appendix.
CONCLUSIONS
Based on the results of this investigation, the following conclusions may be drawn:
1. Within the elastic range, the measured deflections, the strains in the girders, and the strains in the link slab reinforcement were not affected by the variations of support conditions (hinge vs. roller) at the exterior and interior supports. 2. Because the stiffness of the link slab was much smaller than that of the composite girders, the continuity introduced by the link slab was negligible. Therefore, each of the two composite girders behaved like a simplysupported girder.
3. With the girders being treated as simply -supported, the predicted girder deflections compared closely with the measured deflections of the test specimens.
4. Under test loading, the measured strain variation through the depth of the link slab indicated that the link slab was under bending rather than in direct tension. The link slab failed in bending with concrete cracking at its top face and concrete crushing at its bottom face.
5. Both the computer solution and the simplified method of analysis overestimated slightly the reinforcement stress and crack width in the link slab. The simplified method of analysis was more conservative than the computer solution.
6. Because the link slab introduces negligible continuity to a multispan bridge, the girder for each bridge span can be designed independently as a simply-supported structure. The adjacent spans can then be connected by link slabs with partial debonding.
7. The link slab can easily be designed by the simple method proposed herein to provide sufficient reinforcement for crack control.
8. As demon strated by this investigation, the concept of replacing standard bridge deck joints by link slabs to form a jointless bridge deck is entirely feasible. Such an approach would result in significant savings in the cost of construction and maintenance of bridge decks.
RECOMMENDATIONS AND FUTURE RESEARCH
The concept of a link slab with partial debonding from adjacent girders should be readily applicable to typical multispan highway bridge decks to reduce the number of standard expansion joints. It is recommended that for bridges of up to four spans, all the interior joints may be replaced by link slabs so that up to 60 percent of the expansion joints could be eliminated. The concept can be used in both new bridge construction and in the rehabilitation of deteriorated bridge decks.
Because cracking of the link slab is expected to occur under normal service load conditions, it is recommended that epoxy coated reinforcing bars be used in the link slab in order to minimize the potential for reinforcement corrosion. In lieu of epoxy coated bars, non-metallic reinforcement such as carbon fiber reinforced polymer (FRP) bars can also be used. To control cracking in the link slab, a shallow transverse saw cut may be made at the center of the link slab to localize the crack. The saw cut may be filled with a hot-poured sealant to improve its serviceability.
Future research should include a performance evaluation of actual field in stallations of link slabs. In this regard, a demonstration bridge involving deck replacement has been designed by the North Carolina Department of Transportation utilizing the concept of link slabs. The project is under construction and the link slab will be instrumented for long-term evaluation.
Additional research should also include more detailed theoretical and experimental studies of the effects of temperature, creep, and shrinkage on the behavior of link slabs so that the design of bridge decks with link slabs can be optimized. Treat each composite girder as simply supported. Due to the difference in the values of Ec for the girder and the deck, use the transformed section of the deck to compute the moment of inertia of the composite girder, which is / 8 = 349,400 in. 4 
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Administration, and administered by the Center for Transportation Engineering Studies at North Carolina State University at Raleigh.
APPENDIX-DESIGN EXAMPLES
EXAMPLE 1 Design the link slab for a two-lane bridge of four
EXAMPLE 2
Determine the steel stress in the above link slab due to a temperature differential in the deck-girder system. Assume that the temperature drop at the top of the deck is 50°F (27 .8°C) and at the bottom of the girder is 20°F (11.1 °C) .
Solution-The temperature variation represents a differential of 30°F (l6.7°C) and the deck-girder system will deflect downward due to this temperature differential. Again, each composite girder can be treated as simply supported. The end rotation of the girder consistent with its vertical deflection can be calculated by any conventional method and is found to be e = 0.00158 radians.
As in Example 1, the negative moment induced in the link slab would beMa = 40. Therefore, the design is acceptable.
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EXAMPLE 3
Determine the steel stress in the above link slab due to the effects of shrinkage and creep of concrete. Based on the data given in the PCI Design Handbook/ ' assume that the final shrinkage and creep strains in the deck are 0.000448 and 0.000073, respectively, and that the final shrinkage and creep strains in the girder are 0.000357 and 0.000454, respectively.
Solution -Again as before, each composite girder is treated as simply supported and subjected to differential shrinkage and creep strains between the girder and the deck. Because the girder will sustain a much larger strain than the deck, the composite girder will deflect upward and produce a negative end rotation 8 = 0.0029 radians. Imposing this same end rotation at each end of the link slab will induce a positive moment in the link slab, which is found to be Ma =74ft-kips (100 kN-m).
Therefore, MafMa = 0.5. Using Eq. (9) 
